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Abstract
The estimation of building seismic risk and loss utilising response history anal-
ysis is challenging, especially because the final objective is the seismic loss
estimation for building stock. In this paper, this challenge is addressed by devel-
oping a simplified nonlinear structuralmodel, which is capable of simulating the
seismic response of predominantly plan-symmetrical reinforced concrete frame
buildings subjected to groundmotions in both horizontal directions. The simpli-
fied structural model is plugged into the direct seismic risk and loss estimation
methodology. Its capabilities are then demonstrated by estimating the seismic
risk and losses for a four-storey office building and a five-storey school build-
ing. For the analysed buildings, it is shown that the frequency of collapse, the
expected annual loss and the frequency of exceedance of a given loss can be
simulatedwith the same level of accuracy as in the case of the conventional struc-
turalmodel, butwith greater numerical robustness and computational efficiency.
Research is needed to better define the limitations of the introduced simpli-
fied model and extend the capabilities of simplified nonlinear models to more
complex structural systems of plan-asymmetrical buildings.
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1 INTRODUCTION

Seismic loss estimation provides enhanced information for the evaluation of the seismic performance of new and exist-
ing buildings. Several methodologies for seismic loss estimation have been proposed (e.g.1–7). However, loss estimation
is rarely practised in decision-making related to seismic risk reduction. This can be partly attributed to the limited
computational robustness and time-efficiency of the structural models suitable for seismic loss estimation.
The robustness and time-efficiency of a given structural model depend on the analysed building and the modelling

approach. In the case of frame buildings, researchers typically utilise conventional multiple-degree-of-freedom (MDOF)

This is an open access article under the terms of the Creative Commons Attribution-NonCommercial-NoDerivs License, which permits use and distribution in any medium,
provided the original work is properly cited, the use is non-commercial and no modifications or adaptations are made.
© 2022 The Authors. Earthquake Engineering & Structural Dynamics published by John Wiley & Sons Ltd.

3526 wileyonlinelibrary.com/journal/eqe Earthquake Engng Struct Dyn. 2022;51:3526–3551.

https://orcid.org/0000-0002-4183-5675
https://orcid.org/0000-0003-3564-5135
mailto:mdolsek@ikpir.fgg.uni-lj.si
http://creativecommons.org/licenses/by-nc-nd/4.0/
https://wileyonlinelibrary.com/journal/eqe
http://crossmark.crossref.org/dialog/?doi=10.1002%2Feqe.3734&domain=pdf&date_stamp=2022-09-11


JAMŠEK et al. 3527

models, inwhich each beamand column ismodelled by at least one finite element (e.g.8–13). However, suchmodels are still
rarely used for the nonlinear response history analysis of complex building structures due to their limited robustness and
time-efficiency. Therefore, simplified structural models have been introduced. One simplified modelling approach antici-
pates the use of archetypemodels (e.g.14,15). In this approach,which is primarily intended to study the seismic performance
of specific building types, idealised MDOF models are defined for archetype configurations that are characteristic of the
building type under consideration. Some researchers (e.g.7,16) have suggested using a single-degree-of-freedom (SDOF)
model developed based on the pushover analysis of a conventional MDOF model. The SDOF models are time-efficient
and robust, but they are only capable of estimating the buildings’ global response. In order to evaluate the engineering
demand parameters (EDPs) at a greater level of detail, for example at the storey level or building component level, the
results of the SDOF model must be combined with the results of a pushover analysis utilising the conventional MDOF
model.7
Another approach to develop a simplified structural model, and one which is not yet practised in loss estimation, is

to decrease the number of finite elements in an MDOF model by condensing the degrees of freedom. Such simplified
structural models include the generic frame (GF) model and the fish-bone (FB) model.17–19 Both types of models have
undergone several upgrades over the last decade,11,20–28 making them capable of simulating the seismic response of a
large set of different building designs, varying in plan and elevation. In addition, some of thesemodels (e.g.11,27) are defined
directly based on the building structure input datawithout utilizing a conventionalMDOFmodel as their referencemodel,
whichmakes themodel definitionmore straightforward and less time-consuming. However, despite the promising results
shown by the GF and FB models, their capability of simulating local EDPs in seismic loss estimation is not yet well
understood.
To contribute to the solution of the described challenge, a new simplified structural model is proposed here, and its

applicability in loss estimation of predominantly plan-symmetrical frame buildings is analysed. The proposed model,
called the improved 3D fish-bone model (IFB3), has been developed based on the previously proposed IFB model, which
was validated for low- to mid-rise reinforced concrete frame buildings.11 In comparison to the IFB model, the IFB3 model
enables simultaneous structural analysis in both horizontal directions while considering elastic torsion. In the paper, the
IFB3model is first introduced (Section 2). Then, themethodology for seismic loss estimation used in this study is presented
(Section 3). The methodology is based on a variant of the PEER methodology6,7 but incorporates some modifications,
which make it possible to estimate the losses directly based on the results of the response history analyses. Finally, the
capability of the IFB3 model for loss estimation is verified for a contemporary frame building and an older frame building
located in Ljubljana, Slovenia (Section 4). The verification involves comparing the EDPs obtained using the IFB3 and
the conventional MDOF models and comparing the risk-based performance measures obtained using the two structural
models.

2 THE SIMPLIFIEDMODEL FOR SEISMIC ANALYSIS OF PREDOMINANTLY
PLAN-SYMMETRICAL FRAME BUILDINGS

The IFB3 model, presented in Sections 2.1 and 2.2, is an extension of the IFB model,11 which was developed for the
simulation of the 2D seismic response of contemporary and older reinforced concrete frame buildings that are predom-
inantly plan-symmetrical. Both the IFB3 and the IFB models were defined by condensing the degrees of freedom of the
conventional MDOF model. Therefore, they share many modelling assumptions, as discussed in Section 2.3.

2.1 IFB3 model configuration

The IFB3 model is a simple 3D representation of the most important degrees of freedom of predominantly plan-
symmetrical frame buildings. It consists of linear-elastic beam–column elements used to model the column and four
beams per storey and nonlinear flexural plastic hinges (Figure 1A). The plastic hinges at the same storey level are referred
to as an IFB3 beam–column substructure. The floors in the IFB3model are considered rigid in their planes, and themasses
and mass moments of inertia are lumped at the storey level (in the centre of mass, CM).
The IFB3 column’s height is assumed to be equal to the building’s storey height. The length of the IFB3 beam in a given

storey and direction is defined as one half of the average length of the corresponding beams in that storey. The cross-
sectional area of the IFB3 column and that of the IFB3 beams in a given storey are defined, respectively, as the sum of
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F IGURE 1 Schematic presentation of (A) the IFB3 model configuration, (B) IFB3 beam–column substructure in a middle storey for one
direction only, and (C) the configuration of an MDOF model of a frame building

the cross-sectional areas of the corresponding columns and beams of the conventional MDOF model. Analogously, the
moment of inertia of an IFB3 column in a given storey and direction is considered to be equal to the sum of the moments
of inertia of all columns in that storey and direction. However, the moment of inertia of an IFB3 beam 𝐼𝐹

𝑏,𝑠
in a given

direction and storey also approximately accounts for the effect of the variation in beam length:

𝐼𝐹
𝑏,𝑠
=

𝑛∑
𝑘=1

𝐼𝑏,𝑠,𝑘 ⋅
𝐿𝑏,𝑠

𝐿𝑏,𝑠,𝑘
(1)

where the 𝐿𝑏,𝑠,𝑘 and 𝐼𝑏,𝑠,𝑘 are the length and moment of inertia, respectively, of the 𝑘-th beam in the 𝑠-th storey and the
given horizontal direction of the frame building.11 The 𝐿𝑏,𝑠 is the average length of the beams in the 𝑠-th storey that are
oriented in the given horizontal direction. The effective width of the beams is determined according to Eurocode 229 (EN
1992-1-1:2004, 5.3.2.1), which foresees that beams aremodelled as having a T cross-sectionwith a flangewidth that depends
onmany parameters such as the beam’s web thickness, the beam’s length, the distance of the beam to the adjacent parallel
beams and the location of the column to which the beam is connected (i.e. the internal or external column). The effective
stiffness of the columns and beams is considered to be equal to 50 % of the initial stiffness of the elements according to
the Eurocode 8 provisions.30
Themodelling of the plastic hinges at the end of IFB3 beam–column elements is straightforward if the differences in the

nonlinear behaviour of individual columns in a storey are not significant and if the same applies to the nonlinear behaviour
of individual beams in a storey. In such cases, two plastic hinges aremodelled at each end of each IFB3 column, one for the
X direction and the other for the Y direction. In contrast, only one plastic hinge is modelled at the end of each IFB3 beam
adjacent to the IFB3 column. The plastic hinges have zero length and connect the end nodes of the IFB3 beam–column
elements with the central node in the corresponding IFB3 beam–column substructure. The central node is connected to
the storey’s mass node by a rigid diaphragm. According to such definition of plastic hinges, the top IFB3 beam–column
substructure in Figure 1A consists of six plastic hinges (two for the column in the second storey and one for each beam
in the second storey), the middle one consists of eight plastic hinges (two for the column in the first storey, two for the
column in the second storey and one for each beam in the first storey), and the bottom one consists of two plastic hinges
(both for the column in the first storey).
However, it was shown before11 that using only one plastic hinge per IFB3 element and directionmay not be sufficiently

accurate if the damage pattern significantly varies between the building’s elements framing different joints in the same
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F IGURE 2 Bilinear moment–rotation
relationship with linear post-capping
behaviour and three characteristic points
needed for its definition

storey (i.e. between the building’s beam–column substructures in the same storey). Such seismic response can typically
be observed in older frame buildings not designed according to the capacity design approach. The variation in the damage
of the elements in the same storey causes a redistribution of seismic demands among individual beams and columns that
obviously cannot be fully simulated with a simplified model where many storey’s elements are condensed into a small
number of elements. In the previous study,11 this problem was addressed by reducing the strengths of individual beams
before the condensation into the IFB beams so that the contribution of an individual beam to the strength of the corre-
sponding IFB beamwas limited by the strengths of the adjacent columns. This approach approximately solved the problem
for frame buildings in which the ratio between the sum of the strengths of the columns and the sum of the strengths of
the beams (

∑
𝑀𝑐∕

∑
𝑀𝑏) did not vary significantly from joint to joint in a given storey. However, it was found within

the present study that if
∑
𝑀𝑐/

∑
𝑀𝑏 varies significantly across the storey, the approach introduced before11 may produce

biased results in comparison to those observed in the conventional MDOF model. Therefore, the approach for modelling
the plastic hinges in the simplified model was updated by simulating two types of beam–column substructures for each
horizontal loading direction. Thus, two sets of plastic hinges are modelled in the IFB3 beam–column substructure in each
storey for each direction (Figure 1B). Both sets of IFB3 plastic hinges in a given storey have the same coordinates but repre-
sent different types of the building’s beam–column substructures. One set of plastic hinges represents the beam–column
substructurewhere

∑
𝑀𝑐/

∑
𝑀𝑏 is less than 1, while the other one represents the substructures where

∑
𝑀𝑐/

∑
𝑀𝑏 ismore

than 1. Each set of plastic hinges is connected to a different central node, which allows to consider two different ratios
between the rotations of columns and beams. The two central nodes modelled in the same storey are connected to the
storey’s mass node by a rigid diaphragm. Such an approach makes it possible to simulate two different damage patterns
in each IFB3 beam–column substructure per direction (i.e. one with damage predominantly in the beams and one in the
columns), enabling a more realistic simulation of the seismic response of within-storey irregular frame buildings than
the approach introduced in,11 where the simplified model was capable of simulating only one damage pattern per storey
and direction. By adding the second set of plastic hinges into the IFB3 model, the new IFB3 beam–column substructure
can be understood as a further generalisation of the IFB model.11 However, the new IFB3 beam–column substructure
is not needed to be applied at the base of the structure (where the damage is generally expected in the columns) and
for buildings designed according to the capacity design approach that can be classified as within-storey regular frame
buildings.

2.2 IFB3 plastic hinges

A bi-linear moment–rotation relationship with additional linear behaviour in the post-capping range is used in IFB3
plastic hinges (Figure 2). Such plastic hinges have been proven to be sufficiently accurate for simulating the response
of frame buildings up to the range of the near-collapse limit state.10,31 The moment–rotation relationship is defined by
three characteristic points (𝑝 = 1, 2, 3) – which refer to the yield moment (𝑀𝐹

𝑌), the maximum moment (𝑀𝐹
𝑀) and the

near-collapse moment (𝑀𝐹
𝑁𝐶
) – and the corresponding characteristic rotations (Θ𝐹

𝑌 , Θ
𝐹
𝑀 , Θ

𝐹
𝑁𝐶
) (Figure 2). The 𝐹 in the

superscript indicates that the quantity corresponds to the IFB3 model.
The characteristic moments and rotations of the plastic hinges in the IFB3 elements are defined based on the charac-

teristic moments and rotations of the plastic hinges in the actual columns and beams of the frame, which were calculated
according to a previous study.31 The 𝑝-th characteristic moment of the ℎ-th hinge (four hinges – top and bottom, in the
X and Y direction) of the IFB3 column in the 𝑠-th storey corresponding to the t-th type of the building’s beam–column
substructures (𝑡 = 1 and 𝑡 = 2 for substructures with ratio

∑
𝑀𝑐/

∑
𝑀𝑏 being less and more than 1, respectively) (𝑀𝐹

𝑐,𝑠,ℎ,𝑝,𝑡
)
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is calculated as the sum of the corresponding characteristic moments of individual columns (𝑀𝑐,𝑠,𝑗,ℎ,𝑝,𝑡):

𝑀𝐹
𝑐,𝑠,ℎ,𝑝,𝑡

=

𝑚∑
𝑗=1

𝑀𝑐,𝑠,𝑗,ℎ,𝑝,𝑡 (2)

where index 𝑐 stands for columns, 𝑗 indicates the 𝑗-th column that is represented by the given IFB3 plastic hinge, andm
is the number of columns represented by the given IFB3 plastic hinge. Analogously, the 𝑝-th characteristic moment of the
ℎ-th IFB3 beam (four beams oriented in the X and Y directions, as shown in Figure 1a) in the 𝑠-th storey corresponding
to the t-th type of the building’s beam–column substructures (𝑀𝐹

𝑏,𝑠,ℎ,𝑝,𝑡
) is calculated as the sum of the corresponding

characteristic moments of individual beams (𝑀𝑏,𝑠,𝑘,ℎ,𝑝,𝑡):

𝑀𝐹
𝑏,𝑠,ℎ,𝑝,𝑡

=

𝑛∑
𝑘=1

𝑀𝑏,𝑠,𝑘,ℎ,𝑝,𝑡 (3)

where 𝑏 in the subscript stands for beams, 𝑘 indicates the 𝑘-th beam that is represented by the given IFB3 plastic hinge
and n is the number of beams represented by the given IFB3 plastic hinge.
The characteristic rotations of an IFB3 column (Θ𝐹

𝑐,𝑠,ℎ,𝑝,𝑡
) and IFB3 beam (Θ𝐹

𝑏,𝑠,ℎ,𝑝,𝑡
) are defined as the weighted aver-

age of the characteristic rotations of the actual columns and beams represented by the IFB3 column and IFB3 beam,
respectively:

Θ𝐹
𝑐,𝑠,ℎ,𝑝,𝑡

=

∑𝑚

𝑗=1

(
𝑀𝑐,𝑠,𝑗,ℎ,𝑝,𝑡 ⋅ Θ𝑐,𝑠,𝑗,ℎ,𝑝,𝑡

)
∑𝑚

𝑗=1
𝑀𝑐,𝑠,𝑗,ℎ,𝑝,𝑡

(4)

Θ𝐹
𝑏,𝑠,ℎ,𝑝,𝑡

=

∑𝑛

𝑘=1

(
𝑀𝑏,𝑠,𝑘,ℎ,𝑝,𝑡 ⋅ Θ𝑏,𝑠,𝑘,ℎ,𝑝,𝑡

)
∑𝑛

𝑘=1
𝑀𝑏,𝑠,𝑘,ℎ,𝑝,𝑡

(5)

whereΘ𝑐,𝑠,𝑗,ℎ,𝑝,𝑡 andΘ𝑏,𝑠,𝑘,ℎ,𝑝,𝑡 are the characteristic rotations in individual columns and beams, respectively. Note that the
weights in Equations (4) and (5) are defined by the characteristicmoments of columns (𝑀𝑐,𝑠,𝑗,ℎ,𝑝,𝑡) and beams (𝑀𝑏,𝑠,𝑘,ℎ,𝑝,𝑡).
The weights approximately account for the importance of the frame element in the designated storey. Different column
and beam designs are thus approximately considered in the definition of the IFB3 model.
Because the IFB3 model is three-dimensional, it enables the simulation of excitations with ground motions in both

horizontal directions. It also enables the consideration of elastic torsion, while the simulation of nonlinear torsion exceeds
the capabilities of the model, because the latter cannot consider the progressive failure of the columns distributed along
the building floor. However, even linear torsion, which occurs in predominantly plan-symmetrical buildings, can affect a
building’s damage and losses, where the storey drifts and storey accelerations can deviate from those in the centre of mass.
The elastic torsion can be simulated if the building’s mass eccentricity and torsional stiffness are accounted for. The mass
eccentricity is considered by offsetting the centre of mass in each storey (Figure 1A; centre of mass CMs is at the distances
𝑒𝑜,𝑋,𝑠 and 𝑒𝑜,𝑌,𝑠 from the centre of rigidity). However, the torsional stiffness is prescribed to the IFB3model by considering
the torsional constant 𝐼𝐹𝑡,𝑠 in the IFB3 column, which, for the 𝑠-th storey, is defined as:

𝐼𝐹𝑡,𝑠 =
𝐾𝑡,𝑠ℎ𝑠

𝐺
(6)

where ℎ𝑠 is the height of the 𝑠-th storey and 𝐺 is the shear modulus and the torsional stiffness 𝐾𝑡,s in the 𝑠-th storey of the
IFB3 column. The torsional stiffness𝐾𝑡,s can be estimated based on the lateral stiffnesses of the frames and their distances
from the centre of rigidity.32
The IFB3 model was added to the PBEE Toolbox,31 which was developed in Matlab33 for seismic response analysis of

conventional MDOFmodels of frame buildings with OpenSees.34 Themoment-rotation relationships weremodelled with
Hysteretic uniaxial material. The P-delta effects were also considered.
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F IGURE 3 The direct loss estimation methodology algorithm (based on the PEER methodology6)

2.3 Comparison of the IFB3 model to the conventional MDOFmodel

The structural configuration of the IFB3 model is simplistic compared to that of the conventional MDOF model used in
many previous studies (e.g.9,10,31). In the conventional MDOF model (Figure 1C), each column and beam of the frame
building is explicitly modelled with a separate structural element (an elastic beam–column element with plastic hinges at
its ends). In contrast, in the IFB3 model, all the elements in a given storey are condensed into a single IFB3 column and
four IFB3 beams with up to two plastic hinges at their ends (Figures 1A and 1B and Section 2.1). Due to this simplification,
the IFB3 model has more limitations than the conventional MDOFmodel. It does not enable the simulation of nonlinear
torsion. Also, it is unable to correctly simulate the seismic response of frames with highly irregular beam lengths. There-
fore, it is principally intended for predominantly plan-symmetrical frame buildings, where the variation in beam length is
not extremely high. Moreover, the IFB3 model does not account for the effects of varying axial forces (due to overturning)
on the column moment capacity, which can become especially important in the case of one-bay frames or frames with a
height–length ratio greater than three.18
However, there are also many similarities between the IFB3 and the conventional MDOFmodel. The level of input data

required to define both models can be the same. The models also share several modelling assumptions. In both cases,
the masses are assumed to be lumped at the storey level, floors are assumed to be rigid in their plane, and the structural
elements are modelled as beam–elastic elements with plastic hinges at their ends. Moreover, both models simulate the
nonlinear response of the building structure based on the concentrated plasticity approach. The same formulation of the
plastic hinges can be used in both models.
Furthermore, both models require that an assumption is made regarding the effective beam widths and the effective

stiffness of columns and beams in cases where the cracking of concrete is not considered in the plastic hinges. The non-
linear shear, torsional and axial behaviour of individual structural elements, which is neglected in the IFB3 model, is
also usually not considered in the conventional MDOF model. Another limitation of the IFB3 model is that the nonlin-
ear response of the beam–column joints is not simulated. This limitation is also embedded in the conventional MDOF
model, as defined in this paper. However, it should be noted that several similar MDOF models explicitly account for the
beam–column joints.35–37

3 DIRECT SEISMIC LOSS ESTIMATIONMETHODOLOGY

The direct seismic loss estimation is based on a variant of the PEER methodology6 that consists of four different types
of analysis (Figure 3), namely hazard analysis, structural analysis, damage analysis and loss analysis, and follows the
algorithm proposed by Snoj and Dolšek.7 This algorithm is based on the direct estimation of damage and loss from the
structural analysis results, thus explicitly considering the correlation between damage occurring in different components.
However, in contrast with,7 where the EDPs were obtained by a response history analysis of the SDOF model and a
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pushover analysis of the MDOF model, the EDPs in this study were obtained directly from the response history analy-
sis of the IFB3, and, for the purpose of comparison, by the response history analysis of the conventional MDOF model as
well.
In the following subsections, the description of the direct loss estimationmethodology focuses on the structural, damage

and loss analyses, which depend on the definition of the structural model (i.e. IFB3 or the conventional MDOF model).
However, for completeness, the hazard analysis is also briefly presented. The steps of the loss estimation are presented in
Sections 3.1–3.4, followed by the description of the performance measures used in this study (Section 3.5).

3.1 Hazard analysis

The seismic hazard analysis enables the estimation of the frequency of the exceedance of different levels of seismic inten-
sity at the building’s site, 𝜆(𝐼𝑀 > 𝑖𝑚), which is represented by the seismic hazard curve. The analysis is based on the
seismological properties at the building’s location, the local soil properties, nearby earthquake sources, and ground-motion
models, which determine the 𝐼𝑀 value based on the magnitude, distance and other relevant parameters. In addition to
the seismic hazard curve, the hazard analysis also provides the basis for the selection of ground-motion records for the
subsequent structural analysis (see also application in Section 4).

3.2 Structural analysis

In this study, the structural analysis was performed using a nonlinear response history analysis of the IFB3 model and the
conventional MDOF model. A set of hazard-consistent ground motions was utilised. The ground motions were scaled to
various levels of intensity measure (IM) until the collapse intensity was reached.38 The ground-motion randomness was
thus explicitly considered in the analysis. However, for simplicity, the modelling uncertainties related to the structural
model were disregarded.
In each simulation, defined by the index of the ground motion (𝑎) and the index of the IM level (𝑖), an array of the

maximum EDPs {𝑒𝑑𝑝𝑎,𝑖,1, … , 𝑒𝑑𝑝𝑎,𝑖,𝑗, … , 𝑒𝑑𝑝𝑎,𝑖,𝑛𝑐𝑜𝑚𝑝 } is obtained, where 𝑒𝑑𝑝𝑎,𝑖,𝑗 is the value of the EDP relevant for the
simulation of damage in the 𝑗-th building component (e.g. inter-storey drift, storey acceleration, plastic hinge rotation)
obtained for the 𝑎-th ground motion at the 𝑖-th level of IM, and 𝑛𝑐𝑜𝑚𝑝 is the number of all building components. Another
result of the simulations is the value of collapse intensity, determined for each ground motion considered. The collapse
intensity for the 𝑎-th ground motion is denoted as 𝑖𝑚𝐶,𝑎 = 𝐼𝑀(𝑖𝐶,𝑎), where 𝑖𝐶,𝑎 is the index of the collapse level of IM for
the 𝑎-th ground motion. Based on the collapse intensities for all ground motions, the collapse fragility function can be
estimated, which describes the probability of collapse given the value of 𝐼𝑀 = 𝑖𝑚, 𝑃(𝐶|𝐼𝑀 = 𝑖𝑚). The estimation of the
collapse fragility function based on a set of collapse intensities can be performed using different techniques, as described,
for example, by Baker.39 Note that the collapse fragility function is not needed in the loss estimation as performed in this
study. However, it was nonetheless estimated in the example presented in Section 4 to further estimate the frequency of
collapse, which is often used to describe the seismic performance of buildings.
The response history analyses provide EDPs at a limited number of IM levels. The EDPs at other IM levels are

thus estimated by linear interpolation based on EDPs from the response history analysis {𝑒𝑑𝑝𝑎,1(𝑖𝑚), … , 𝑒𝑑𝑝𝑎,𝑗(𝑖𝑚), … ,
𝑒𝑑𝑝𝑎,𝑛𝑐𝑜𝑚𝑝 (𝑖𝑚)}, where 𝑒𝑑𝑝𝑎,𝑗(𝑖𝑚) is the value of the EDP relevant for the simulation of damage in the 𝑗-th building com-
ponent obtained for the 𝑎-th ground motion at 𝐼𝑀 = 𝑖𝑚. The definition of 𝐸𝐷𝑃s for any IM values (not just at the levels
considered in the response history analyses) is important for two reasons. Firstly, it allows for a finer discretisation of the
IM domain, and secondly, it enables 𝐸𝐷𝑃s to be estimated at the same levels of IM for each ground motion.

3.3 Damage analysis

The damage analysis is aimed at estimating the damage to building components. Only simulations from the non-
collapse cases (𝐼𝑀 < 𝑖𝑚𝐶,𝑎) are considered in the damage analysis. Detailed damage analysis of individual building
components is not required in the collapse cases because the building needs to be replaced. The damage analysis
is performed for each array {𝑒𝑑𝑝𝑎,1(𝑖𝑚), … , 𝑒𝑑𝑝𝑎,𝑗(𝑖𝑚), … , 𝑒𝑑𝑝𝑎,𝑛𝑐𝑜𝑚𝑝 (𝑖𝑚)} determined in the structural analysis. The
results of the damage analysis are the occurrence probabilities of building components’ damage states. For a given
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ground motion (𝑎) and 𝐼𝑀 = 𝑖𝑚, these occurrence probabilities can be represented by an array of probability vectors
{𝑝𝐷𝑆,𝑎,1(𝑖𝑚), … , 𝑝𝐷𝑆,𝑎,𝑗(𝑖𝑚), … , 𝑝𝐷𝑆,𝑎,𝑛𝑐𝑜𝑚𝑝 (𝑖𝑚)}, where 𝑝𝐷𝑆,𝑎,𝑗(𝑖𝑚) is the vector of occurrence probabilities of the dam-
age states designated for the 𝑗-th building component. For the 𝑑-th damage state of the 𝑗-th building component, the
occurrence probability is defined as2:

𝑝DS,𝑑,𝑎,𝑗(im) = 𝑃(𝐷𝑆𝑗 = 𝑑𝑠𝑑|ED𝑃𝑗 = ed𝑝𝑎,𝑗(im))

=

⎧⎪⎨⎪⎩
1 − 𝑃(𝐷𝑆𝑗 ≥ 𝑑𝑠𝑑+1|ED𝑃𝑗 = ed𝑝𝑎,𝑗(im)), if d = 0

𝑃(𝐷𝑆𝑗 ≥ 𝑑𝑠𝑑|ED𝑃𝑗 = ed𝑝𝑎,𝑗(im)) − 𝑃(𝐷𝑆𝑗 ≥ 𝑑𝑠𝑑+1|ED𝑃𝑗 = ed𝑝𝑎,𝑗(im)), if 1 ≤ 𝑑 < 𝑚𝑗

𝑝(𝐷𝑆𝑗 ≥ 𝑑𝑠𝑑|ED𝑃𝑗 = ed𝑝𝑎,𝑗(im)), if d = 𝑚𝑗

(7)

where 𝐷𝑆𝑗 is a discrete random variable that describes the damage state of the 𝑗-th building component, 𝐸𝐷𝑃𝑗 is the
corresponding𝐸𝐷𝑃,𝑃(𝐷𝑆𝑗 ≥ 𝑑𝑠𝑑| 𝐸𝐷𝑃𝑗 = 𝑒𝑑𝑝𝑎,𝑗(𝑖𝑚)) is the fragility function for damage state 𝑑𝑠𝑑 evaluated for𝐸𝐷𝑃𝑗 =
𝑒𝑑𝑝𝑎,𝑗(𝑖𝑚) and 𝑚𝑗 is the index of the most severe damage states of the 𝑗-th building component. The total number of
damage states for the 𝑗-th building component, including the no-damage state (𝑑 = 0), is thus𝑚𝑗 + 1.

3.4 Loss analysis

The objective of the loss analysis is to estimate the expected total loss of the building given the ground motion and the
level of IM. The collapse and non-collapse cases are usually treated separately. In this study, the expected total loss for the
collapse (𝐶) cases, 𝐸(𝐿𝐶,𝑎(𝑖𝑚)), was considered to be equal to the expected replacement cost, 𝐸(𝐿𝐶), which accounts for
additional demolition work and site clearance.1,4,7 The value of 𝐸(𝐿𝐶) was considered to be 110 % of 𝐿𝑛𝑒𝑤, where 𝐿𝑛𝑒𝑤 is
the cost of a new building.7 𝐸(𝐿𝐶) was assumed to be independent of the ground motion and the 𝐼𝑀 value.
For the non-collapse (𝑁𝐶) cases, the losses resulting from the damage to individual building components first need

to be estimated. This is done by coupling the occurrence probabilities of damage states obtained in the damage analysis
with the loss functions. The loss functions herein are defined by the expected normalised loss given the damage state,
𝐸(𝐿

′

𝑗
| 𝐷𝑆𝑗 = 𝑑𝑠𝑑), where the normalised loss (𝐿

′

𝑗
) represents the ratio of the repair cost of the 𝑗-th component (𝑐𝑟𝑒𝑝𝑎𝑖𝑟,𝑗) to

the cost of a new component (𝑐𝑛𝑒𝑤,𝑗).7 For the 𝑗-th building component, 𝑎-th ground motion and 𝐼𝑀 = 𝑖𝑚, the expected
normalised loss 𝐸(𝐿′

𝑎,𝑗
(𝑖𝑚)) is calculated as:

𝐸
(
𝐿
′

𝑎,𝑗 (𝑖𝑚)
)
=
∑
𝑑

𝐸
(
𝐿
′

𝑗
|𝐷𝑆𝑗 = 𝑑𝑠𝑑

)
⋅ 𝑃

(
𝐷𝑆𝑗 = 𝑑𝑠𝑑 | 𝐸𝐷𝑃𝑗 = 𝑒𝑑𝑝𝑎,𝑗 (𝑖𝑚)

)
(8)

It should be noted that in a more detailed loss analysis, also aimed at estimating the dispersion of losses for a given
ground motion and IM value, the loss functions would also have to consider the uncertainty in 𝐿′

𝑗
| 𝐷𝑆𝑗 = 𝑑𝑠𝑑 (not just

its expected value). Furthermore, the correlation between the damage states of different components and the correlation
between losses of different components would need to be prescribed. For simplicity, this information was disregarded in
the present study.
Based on 𝐸(𝐿′

𝑎,𝑗
(𝑖𝑚)), the quantity of the 𝑗-th component (𝑞𝑗) and the cost of a new 𝑗-th component per unit (𝑐𝑛𝑒𝑤,𝑗),

the expected loss of the 𝑗-th component for a given ground motion 𝑎 and 𝐼𝑀 level, 𝐸(𝐿𝑎,𝑗(𝑖𝑚)), can be evaluated7 as:

𝐸
(
𝐿𝑎,𝑗 (𝑖𝑚)

)
= 𝑞𝑗 ⋅ 𝐸

(
𝐿
′

𝑎,𝑗 (𝑖𝑚)
)
⋅ 𝑐𝑛𝑒𝑤,𝑗 (9)

By applying Equation (9) to each building component, an array of losses {𝐸(𝐿𝑎,1(𝑖𝑚), … , 𝐸(𝐿𝑎,𝑗(𝑖𝑚), … , 𝐸(𝐿𝑎,𝑛𝑐𝑜𝑚𝑝 (𝑖𝑚)}
is obtained. The expected loss at the building level for a given ground motion, 𝐼𝑀 level and the 𝑁𝐶 case, 𝐸(𝐿𝑁𝐶,𝑎(𝑖𝑚)),
can then be calculated simply by summing the elements of that array:

𝐸
(
𝐿𝑁𝐶,𝑎 (𝑖𝑚)

)
=
∑
𝑗

𝐸
(
𝐿𝑎,𝑗 (𝑖𝑚)

)
(10)

However, the total expected loss as defined by Equation (10) can be directly applied only in non-collapse cases in which
a building is restored by repairing or replacing the damaged components. To account for other restoration strategies, two
types of adjustments were considered in this study. The first type of adjustment was applied if 𝐸(𝐿𝑁𝐶,𝑎(𝑖𝑚)) was higher
than the threshold for economically justified renovation (𝐿𝑡𝑟). In such cases, it was assumed that the building would be
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replaced. The total expected loss was thus considered to be equal to the building’s replacement cost, 𝐸(𝐿𝐶). The value of
𝐿𝑡𝑟 was assumed based on existing guidelines and documents. Namely, FEMA P-58-16 suggests that the owners will most
likely elect to replace a building when the projected repair costs exceed 40 % of the replacement cost. A threshold of 40 %
was also adopted in the Slovenian program for reconstruction after the 2004 earthquake in the Upper Posočje, but in this
case, the threshold corresponded to the cost of a new building.40 Therefore, in this study, 𝐿𝑡𝑟 was also considered to be 40
% of the cost of a new building.
The second adjustment was applied when the seismic intensity was very low. In such cases, as the post-earthquake

analysis41 shows, buildings are at most only slightly damaged, whichmeans it is unlikely that the stakeholders will decide
to repair them. Therefore, a lower boundary for the seismic intensity (𝑖𝑚𝑚𝑖𝑛) was applied under which the total expected
loss was considered to be equal to 0. The boundary was defined in terms of the elastic spectral acceleration (𝑆𝑎𝑒,𝑚𝑖𝑛)
according to FEMA P-58-1.6 If the average of the fundamental periods in both horizontal directions (𝑇̄) was less than 1.0
s, 𝑆𝑎𝑒,𝑚𝑖𝑛 was set to 0.05 g. Otherwise, 𝑆𝑎𝑒,𝑚𝑖𝑛 was set to 0.05 g/𝑇̄.
By considering that the occurrence of non-collapse and collapse cases depends on whether the 𝐼𝑀 is lower or higher

than 𝑖𝑚𝐶,𝑎, and by adopting the two types of adjustments for the non-collapse cases, the total expected loss for any given
ground motion and 𝐼𝑀 value can be written using the following general equation:

𝐸 (𝐿𝑎 (im)) =

⎧⎪⎪⎨⎪⎪⎩

0, if IM < 𝑖𝑚min

𝐸
(
𝐿NC,𝑎 (im)

)
, if IM < 𝑖𝑚𝐶,𝑎 and E

(
𝐿NC,𝑎 (im)

)
< 𝐿tr

𝐸 (𝐿𝐶) , if IM < 𝑖𝑚𝐶,𝑎 and E
(
𝐿NC,𝑎 (im)

) ≥ 𝐿tr
𝐸 (𝐿𝐶) , if IM ≥ 𝑖𝑚𝐶,𝑎

(11)

3.5 Estimation of risk-based performance measures

In this study, three risk-based performance measures were considered. The first one is the mean annual frequency of
collapse 𝜆(𝐶). This performance measure is not actually related to losses, but it was evaluated nonetheless because it is
often used to communicate the seismic performance of buildings (e.g.2,7). The 𝜆(𝐶) is defined as:

𝜆 (𝐶) = ∫
∞

0

𝑃 (𝐶|𝐼𝑀 = 𝑖𝑚)
||||
𝑑𝜆 (𝐼𝑀 > 𝑖𝑚)

𝑑𝐼𝑀

|||| 𝑑𝐼𝑀 (12)

In Equation (12), 𝑃(𝐶|𝐼𝑀 = 𝑖𝑚) is the building’s collapse fragility function and |𝑑𝜆(𝐼𝑀>𝑖𝑚)

𝑑𝐼𝑀
| presents the absolute value

of the derivative of the seismic hazard curve. The second risk-based performance measure is the expected annual loss
(𝐸𝐴𝐿), which can be calculated as:

𝐸𝐴𝐿 = ∫
∞

0

𝐸 (𝐿 (𝑖𝑚))
||||
𝑑𝜆 (𝐼𝑀 > 𝑖𝑚)

𝑑𝐼𝑀

||||𝑑𝐼𝑀 (13)

where 𝐸(𝐿(𝑖𝑚)) is the mean of 𝐸(𝐿𝑎(𝑖𝑚)) over all considered ground motions. Finally, the third performance measure
considered in this study is the mean annual frequency of exceedance of a specified loss value, 𝜆(𝐿 > 𝑙), that is the loss
curve, which can be estimated as:

𝜆 (𝐿 > 𝑙) = ∫
∞

0

𝑃 (𝐿 > 𝑙|𝐼𝑀 = 𝑖𝑚)
||||
𝑑𝜆 (𝐼𝑀 > 𝑖𝑚)

𝑑𝐼𝑀

||||𝑑𝐼𝑀 (14)

where 𝑃(𝐿 > 𝑙|𝐼𝑀 = 𝑖𝑚) is the probability that the total loss exceeds the designated loss value (𝑙) at a given intensity
(𝑖𝑚). This probability is defined herein as the complementary cumulative distribution function of total expected losses
determined for individual ground motions, 𝐸(𝐿𝑎(𝑖𝑚)). Therefore, it accounts for the record-to-record randomness and
uncertainties in the damage simulation captured within the components’ fragility functions but neglects the modelling
uncertainties related to the structural response and the uncertainties in loss functions.
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F IGURE 4 Presentation of the building information models of the analysed office and school buildings

4 APPLICATION OF THE IFB3 MODEL IN DIRECT SEISMIC LOSS ESTIMATION

In this section, the estimated seismic losses are presented for two frame buildings, which were analysed using the IFB3
model and the conventional MDOF model. The goal of this application was to demonstrate loss estimation using the
IFB3 model and to investigate the capability of the IFB3 model in seismic loss estimation compared to that based on the
conventional MDOF model.

4.1 Analysed buildings, seismic hazard and ground motions

Loss estimations were performed for a four-storey office building and a five-storey school building, both located in Ljubl-
jana, Slovenia. The structure of the office building was considered equal to the four-storey plan-symmetrical reinforced
concrete frame building presented in a previous study.42,43 The rooms are separated by the gypsum partition walls, while
the outer perimeter of the building represent exterior glazing (Figure 4). Suspended acoustic ceiling panels are installed
on all storeys. An elevator is located on the outside of the building. Moreover, the school building includes classrooms,
offices, bathrooms and a library on the first four storeys (Figure 4) and a gym in the attic (the fifth storey). The rooms are
separated by partition walls with no openings, or with openings for the doors. Most of the façade is covered by windows.
For easier representation, building informationmodels of the analysed buildingswere developedwithArchiCAD software
v.2244 (Figure 4).
For the office building (Figure 5A), a building structure that had been pseudo-dynamically tested at the ELSA

Laboratory42,43 was considered. It was designed according to the pre-standard of the current Eurocode 8 with consid-
eration of ductility class high, design PGA = 0.3 g and medium soil conditions. The total horizontal design force was
estimated equal to 15 % of the building weight.42 For the design and construction of the building, concrete C25/30 and
Tempcore reinforcing bars class B500 were used.42,43 The characteristic and design compressive strength of concrete and
reinforcing bars amounted, respectively, to 25 and 14.2 MPa, and 500 and 435 MPa. The building was designed according
to the ultimate limit state design approach as prescribed in the pre-standard of Eurocode 2. This approach foresees that
members are designed so that the design strength of each cross-section is greater than the design action effect in that
cross-section (usually in terms of internal forces). The mass of the building was 342 t. The mean concrete strength and
the mean yield strength of the reinforcement used later in the analysis were equal to 42 and 580 MPa, respectively.31 The
cross-sectional dimensions of the columns were 40/40 cm and 45/45 cm, and their total reinforcement ratio in the bottom
storey was about 1.6 %.
The school building (Figure 5B) was designed in 1963 and built in 1965 in Ljubljana, Slovenia. The buildingwas designed

following the Yugoslavian temporary regulation for concrete and reinforced concrete buildings45 and the first Slovenian
seismic code, implemented in 1963.46 The regulations at the time of the building design followed the so-called allowable
stress design approach, where the structural elements were designed according to the prescribed allowable stresses of
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F IGURE 5 The elevation and plan views of (A) the office building and (B) the school building

F IGURE 6 (A) The seismic hazard curves for the locations of the investigated buildings and the target conditional spectrum and the
acceleration spectra of the selected ground motions (GMs) for (B) the office building and (C) the school building

concrete and reinforcement. The allowable stresses depended on the type of action effect (i.e. tension, pressure, bending
or shear), type of structural element (i.e. slab, beam or column) and characteristic strength of the material.45 The mean
concrete strength varied between 25 and 32 MPa, while the elastic modulus of the concrete was between 29 and 31.8 GPa.
The mean yield strength of reinforcement (276 MPa) was estimated by increasing the characteristic strength by 15 %,
according to Eurocode 8-2.47 In the design of the building, the base shear force was estimated to be equal to 11 % of the
building weight.46 The mass of the building, as determined using the building information model, was equal to 2710 t. In
the structural analysis, only the bottom four storeys were considered (RC frames), because the fifth storey contains only a
wooden frame structure. The cross-sectional dimensions of the columns are 20/40 cm in the outside frames and 40/40 cm
in the inner frames (Figure 5B). The corresponding total reinforcement ratios in the bottom storey amount to 1.0% and
0.95%, respectively, much less than in the case of the office building.
The seismic hazard curves were determined based on the official probabilistic seismic hazard maps for Ljubljana,

Slovenia.48 They correspond to spectral accelerations at the fundamental periods of the office building (0.79 s) and the
school building (1.12 s) and to soil types B andC, respectively.30 Based on the seismic hazard, 30 groundmotions (Figure 6),
whichwere later used in the structural analysis, were selected. The selection of groundmotionswas based on a target spec-
trum and an algorithm proposed in.49 For the target spectrum, the conditional spectrum (CS)50 was used. It was defined
based on the mean magnitude and distance resulting from the disaggregation of seismic hazard for the mean return
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period of 2475 years. The ground motions were obtained from the NGA51 and RESORCE52 databases. In the ground-
motion selection, the geometric mean of the spectral accelerations of the two horizontal ground-motion components was
considered.

4.2 Structural analysis

The EDPs were evaluated based on the response history analyses utilizing the IFB3 model and the conventional MDOF
model. It should be noted that the IFB3model of the school building and that of the office building had different numbers
of plastic hinges per storey and direction. The school building was classified as a within-storey irregular frame building
because both types of beam–column substructures were observed in that building (i.e. the ratio

∑
𝑀𝑐/

∑
𝑀𝑏 below and

above 1). Consequently, two sets of plastic hinges (Figure 1B) were modelled in each IFB3 beam–column substructure
above the ground level. However, at the ground level, where the damage can occur only in the columns, as discussed in
Section 2.1, only one set of IFB3 plastic hinges wasmodelled. In contrast, one set of plastic hinges wasmodelled in all IFB3
beam–column substructures of the office building because this building was classified as a within-storey regular building
(i.e. the ratio

∑
𝑀𝑐/

∑
𝑀𝑏 was generally above 1), as is usually the case with frame structures designed according to the

capacity design approach.
For the office building, some ground motions had to be scaled to extremely high IM levels to observe collapse. Thus,

the truncated IDA38 was utilised. The maximum IM level was estimated at an intensity of 𝑆𝑎𝑒 = 2.5 g, considering that
potential earthquakes with intensity levels higher than 𝑆𝑎𝑒 > 2.5 g do not contribute significantly to the estimation of
risk-based performance measures in Slovenia. For the office building and for 𝑆𝑎𝑒(T1) equal to 2.5 g, the 16th, 50th and
84th percentile ground-motion scale factors were equal to 5.9, 8.9 and 15.2, respectively. For the school building, the scale
factors were lower. At the collapse of the building, their 16th, 50th and 84th percentile values amounted to 0.7, 1.1 and 2.2,
respectively, if using the IFB3 model. The scale factors obtained with the MDOFmodel were only slightly different due to
similar collapse intensities, as presented later in this section. Although the ground-motion scale factors in the case of the
office building can provide some bias in the prediction of the EDPs (e.g.53), this issue was not further investigated in the
present study because the main objective was to demonstrate the capability of the simplified structural model relative to
that of the conventional MDOF model.
The procedure for the evaluation of the EDPs depended on the type of structuralmodel and the building component type

(structural or non-structural). In the case of the conventionalMDOFmodel, the EDPs related to the structural components
(e.g. rotations in plastic hinges) were recorded directly from the response history analyses. However, the EDPs at the
locations of non-structural components were estimated by linearly interpolating the response histories of the EDPs (i.e.
inter-storey drifts and floor accelerations) of the closest structural components. In the case of the IFB3model, the rotations
in plastic hinges of structural components were not available due to the reduced degrees of freedom of the IFB3 model.
Therefore, the damage to structural components was estimated based on the rotation demand in the plastic hinges of the
IFB3 elements, as explained in Section 4.3. However, the calculation of inter-storey drifts and floor accelerations at the
locations of non-structural components was based on kinematic quantities (i.e. response histories of inter-storey drifts
and floor accelerations) at the centreline of the IFB3 column at each storey level and by assuming a rigid diaphragm at
each floor of the building.
The obtained EDPs were then used to define the IDA curves. The spectral acceleration at the building’s fundamental

period 𝑆𝑎𝑒(𝑇1) was adopted for the IM for consistency with the IM considered in the hazard analysis. However, the IDA
curves were constructed for different EDPs, such as the maximum inter-storey drift and the maximum storey acceleration
at the centre of mass (CM), which are presented in Figure 7 to the point of the building’s collapse as defined later in this
section. In addition to the single IDA curves, the percentile IDA curves are also presented in Figure 7. However, they do
not affect further loss estimation, as the latter is based on single IDA curves.
Regardless of the significant simplification considered in the IFB3 model, it can be observed that the IDA curves based

on the IFB3model and the conventional MDOFmodel were similar. It can also be observed that a considerable amount of
IDA curves representing the relationship between the spectral acceleration and maximum inter-storey drift are similar to
a linear function. This observation is the consequence of relatively long fundamental periods of the investigated buildings
for which it is well known that the ‘equal displacement rule’ applies.54–56 In contrast, the slope of the IDA curves for
the maximum storey acceleration increases as the structure goes from the linear to the nonlinear range, indicating a
slower increase of storey accelerations with the seismic intensity. For more confidence in the results, the maximum storey
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F IGURE 7 The IDA curves of each considered ground motion and the median, 16th and 84th percentile IDA curves for the IFB3 model
and the conventional MDOF model of the office building and the school building: (A) for the maximum inter-storey drift, (B) for the
maximum storey acceleration

accelerations in the elastic range were also verified with a simplified method for estimating floor acceleration spectra,57
which gave very similar results.
Another result of the structural analysis relates to the sample of collapse intensities. Several definitions of the collapse of

a building are available in the literature.8,58 In this study, the collapse of the building within IDA was defined by the max-
imum inter-storey drift of the MDOF or IFB3 model exceeding 10 %,58 which also accounted for cases of global dynamic
instability (i.e. cases in which the maximum inter-storey drift increased over all limits during the nonlinear response
history analysis). However, because both structural models can be considered simplified, another collapse criterion was
defined based on the severe strength degradation of individual columns. It was assumed that a column reaches the col-
lapse limit state when its bending strength drops to 50 % of the maximum moment (𝑀𝑀) on the linear softening branch
of the moment–rotation relationship. The building collapse was assumed to take place when the first column reached a
collapse limit state defined in this way. For the conventional MDOF model, verifying the second collapse criterion was
straightforward because seismic demand and capacity were calculated explicitly for each column. On the contrary, the
IFB3 model is not capable of simulating the seismic demands and capacities of individual columns directly. However,
the issue was approximately solved by post-processing IDA results. In the post-processing, the collapse of the IFB3 model
was considered attained if the seismic demand in an IFB3 column exceeded the minimum of the collapse capacities of all
columns condensed into that IFB3 column.
The collapse fragility functions were defined by the sample-based cumulative distribution function considering col-

lapse intensities (𝑖𝑚𝐶,𝑎). Additionally, the lognormal cumulative distribution function was also estimated, as in many
other studies.9,11,38,59,60 For both the IFB3 model and the conventional MDOF model, the collapse fragility functions are
presented in Figure 8. It can be observed that the collapse fragility functions estimated with different structural models
were very similar for the office building. However, for the school building, the differences in the collapse intensities var-
ied. In the range of collapse probabilities around 0.50, the differences amounted to about 15–18%, while for other collapse
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F IGURE 8 The sample-based collapse fragility functions and the fragility functions utilizing the lognormal cumulative distribution
function for the office building and the school building analysed by the IFB3 model and the conventional MDOF model

probabilities, the differences were lower and comparable to those observed for the office building. Consequently, the
lognormal fragility functions obtained with the two structural models were similar also in this case.
The computational time differed significantly despite the similarity between the structural analysis results obtained

with the two structuralmodels. In the case of the office building, the IDAusing the IFB3modelwas performed in 13.0 hours
on a computer with Intel(R) Xeon(R) CPU L5520 @ 2.26 GHz and 8 GB of system RAM, which is only 4.3-times faster
than the computational time needed in the IDA utilising the conventional MDOF model (56.1 hours). However, in the
case of the relatively complex school building, the computational time differed by a factor of about 580. With the IFB3
model, the total computational time on one computer amounted to 14.1 hours, while with the conventional MDOFmodel,
the computation time increased to 8175 hours. Thus, it was necessary to use a grid of computers to make IDA based on the
MDOF model feasible.

4.3 Damage analysis

A set of EDP-based fragility functions characterised the probabilities of the exceedance of damage states for the building
components conditional to the EDPs. Theywere formulated as lognormal cumulative distribution functions as an input for
damage analysis and represent the capacity of building components for discrete damage states. Each fragility function is
defined by the median 𝐸𝐷𝑃𝑑,𝑗 and the logarithmic standard deviation 𝛽𝐷𝑆,𝑑,𝑗 , where 𝑑 and 𝑗 refer to the damage state and
the component, respectively. Two different approaches were utilised for defining these parameters of the fragility func-
tions. For the non-structural components, the parameters were obtained from the literature.1–7,61,62 They are presented
in the Appendix. However, for the structural components (i.e. reinforced concrete columns and beams), the medians,
𝐸𝐷𝑃𝑑,𝑗 , were defined based on the characteristic rotations in plastic hinges Θ𝑝 (Figure 2). For each column and beam,
five damage states were defined (𝑑𝑠0 − 𝑑𝑠4), including the no-damage state (𝑑𝑠0). Damage state 𝑑𝑠1 corresponded to the
first characteristic rotation in the plastic hinge of the structural component (Θ𝑝=1), damage state 𝑑𝑠2 to (Θ𝑝=1 + Θ𝑝=2)∕2,
damage state 𝑑𝑠3 to Θ𝑝=2 and damage state 𝑑𝑠4 to Θ𝑝=3 (see Figure 2). In this way, it was considered that the fragility
of each structural component depended on the cross-sectional properties that affected the plastic hinges. However, the
corresponding logarithmic standard deviations 𝛽𝐷𝑆,𝑑,𝑗 were, as in the case of the non-structural components, obtained
from the literature. For 𝑑𝑠1, the logarithmic standard deviation corresponding to the damage state characterised by the
degradation of the initial elastic stiffness of the columns and beams (0.36 [63,64]) was considered. For 𝑑𝑠4, the logarith-
mic standard deviation corresponding to a 20 % drop in the element’s strength in the post-capping range (0.40 for the
columns,63 0.60 for the beams64) was taken into account. However, for 𝑑𝑠2 and 𝑑𝑠3, no directly applicable values were
found in the literature. Therefore, the same values as those considered for 𝑑𝑠1 and 𝑑𝑠4, respectively, were applied.
The definition of EDP-based fragility functions for columns and beams depended on the type of structural configuration

considered in the models (Figure 1). Specifically, the number of plastic hinges in the IFB3 model was lower than in the
conventional MDOFmodel, which included all columns and beams. Therefore, the number of fragility functions was also
different. To better understand the difference, the probabilities of damage states for column hinges that were observed
most vulnerable are presented in Figure 9A. In the case of the office building, the most vulnerable hinges were located at
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F IGURE 9 Damage state probabilities of the columns at the base of the office building and at the bottom of the top-storey of the school
building estimated with the IFB3 model and the conventional MDOF model. (A) The probabilities are conditional to the EDP and represent
the input for the damage analysis, (B) the probabilities are conditional to the IM and the selected characteristic ground motion and represent
the outcome of the damage analysis

the base of the building, while for the school building, theywere located at the bottom of the top storey (in both cases in the
X direction). The damage-state probabilities presented in Figure 9Awere determined directly from the EDP-based fragility
functions (Equation (7)). In the case of the conventional MDOF model, the number of curves per damage state is equal
to the number of columns in a storey (i.e. nine for the office building and 80 for the school building). This is because all
columns are explicitly modelled in the conventional MDOFmodel. For the office building, it can be observed (Figure 9A)
that the damage state probability curves for a given damage state approximately overlap due to the small variation in the
design and geometry of columns at the base. In contrast, two groups of damage state probability curves for a given damage
state can be observed for the school building (Figure 9A) because of the significantly different geometry of the perimeter
and internal columns (Figure 5). However, in the case of the IFB3 model, only one and two damage state probability
curves for a given damage state are considered, respectively, for the office and school building. The consideration of two
damage state probability curves per damage state in the case of the school building is a consequence of using two sets of
plastic hinges in the IFB3 beam–column substructure. For both buildings, good matching between the IFB3 probability
curves and the MDOF probability curves can be observed (Figure 9A), which is a direct consequence of the definition of
the characteristic rotations in the IFB3 model (Equation (4)).
The EDPs from the response history analyses (i.e. the demand) and the damage state probabilities presented in

Figure 9A (i.e. the capacity) were used to calculate the damage state probabilities conditional to the IM (𝑝𝐷𝑆,𝑑,𝑎,𝑗(𝑖𝑚)
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(Equation (7)). The IM-based damage state probabilities represent the outcome of the damage analysis and, as an exam-
ple, are presented in Figure 9B for the most vulnerable column hinges by analogy to Figure 9A. Because the IM-based
damage state probabilities were determined for each ground motion separately, the total number of the corresponding
curves was 30-times higher than in the case of the EDP-based damage state probabilities shown in Figure 9A. Therefore,
for the sake of clarity, the IM-based damage state probabilities are in this section presented for only one ground motion,
hereinafter denoted as the characteristic ground motion (Figure 9B). However, note that the damage and loss analyses
were performed for 30 selected ground motions per building. In general, it can be observed that the variability of the IM-
based damage state probabilities (Figure 9B) was more pronounced than the variability of the EDP-based damage state
probabilities (Figure 9A). This is because the variation in the geometry and design of columns also affects the seismic
demand (i.e. the EDPs), which impacts the IM-based damage state probabilities. The variability of the IM-based damage
state probabilities was higher in the case of the school building due to the more pronounced torsional response and larger
differences between the columns.
Moreover, the IM-based damage state probabilities for the office building obtained with the conventional MDOFmodel

were scattered around those obtained with the IFB3 model, indicating good matching between the results produced by
the two structural models. In the case of the school building, the scatter of IM-based damage state probabilities for the
office building was significantly higher than that of the office building. The matching between the curves obtained with
the two models was still quite similar for more severe damage states but not so similar for slighter damage states (e.g. for
𝑑𝑠1), indicating that IFB3 model produced some bias in the estimation of rotations of plastic hinges. However, this bias
was not very high and did not significantly impact the risk-based performance measures, as shown in Section 4.5. It is
also interesting to note that, in the case of the school building, the IM-based damage state probabilities rise notably above
0 for both considered IFB3 plastic hinges only for damage states 𝑑𝑠1, 𝑑𝑠2 and 𝑑𝑠3, but not for damage states 𝑑𝑠4 and 𝑑𝑠5.
This observation is consistent with the results obtained with the conventional MDOF model, where the probabilities of
damage states 𝑑𝑠4 and 𝑑𝑠5 were notably above 0 for most perimeter columns but not for the internal columns. It should
be noted that the damage state probabilities in Figure 9B were plotted only until reaching the collapse of the building. It
can be seen that the collapse intensity for the characteristic ground motion was very different for the two buildings. The
𝑖𝑚𝐶,𝑎 was about 3.5 g for the office building and about 0.29 g for the school building, but the values were not affected
significantly by the structural models.
As in the case of the most vulnerable columns (Figure 9B), the IM-based damage state probabilities of other structural

elements of the conventional MDOFmodel were found to be scattered around the probabilities determined for the corre-
sponding IFB3 structural elements. Therefore, the probability 𝑝𝐷𝑆,𝑑,𝑎,𝑗(𝑖𝑚) determined for an IFB3 element was assigned
in the loss analysis to all structural elements represented by that IFB3 element. In this way, the transformation from the
rotations in the plastic hinges of the IFB3 elements to those of the actual structural elements was avoided. Such a trans-
formation cannot be uniquely determined, as many different deformation shapes of the actual structure correspond to the
same deformation shape in the IFB3model. This may result in biased estimation of risk-based performancemeasures, but
this bias is not significant for predominantly symmetrical buildings, as shown in Section 4.5. It should also be mentioned
that a limitation of such an approach does not enable the direct capture of the variability in the damage state of the struc-
tural elements that are represented by the same IFB3 element. However, this limitation is inherent to all models that are
based on the condensation of degrees of freedom.
On the other hand, the estimation of the IM-based damage state probabilities in the analysis utilizing the IFB3 model

was more straightforward for the non-structural components. This is because the corresponding EDPs (drifts and acceler-
ations) were uniquely determined based on the recordings from the structural analysis (see Section 4.2). The comparison
of the IM-based damage state probabilities for characteristic ground motion is presented in Figure 10 for generic drift-
sensitive components at the top of the bottom storey. It can be observed that there were only minor differences in the
results obtained using the twomodels, regardless of the building. It is worth noting that the generic drift-sensitive compo-
nents were considered to be located at the centre of mass (CM), which, however, is not the same as the centre of rigidity.
Therefore, the inter-storey drifts at the location of these components were calculated based not only on the translation of
the IFB3 columns but also on their torsional rotation.

4.4 Loss analysis

The input for the loss analysis of both buildings, i.e. the loss functions 𝐸(𝐿′
𝑗
| 𝐷𝑆𝑗 = 𝑑𝑠𝑑), the quantities of components 𝑞𝑗

and the costs of new components per unit 𝑐𝑛𝑒𝑤,𝑗 are defined in the Appendix (Table 1 and Table 2). The costs 𝑐𝑛𝑒𝑤,𝑗 were
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F IGURE 10 IM-based damage state probabilities of the generic drift-sensitive components located at the centre of mass at the top of the
first storey of the office and school buildings. The probabilities were estimated using the IFB3 model and the conventional MDOF model and
are conditional to the selected characteristic ground motion

estimated based on the average costs from Slovenian cost databases.65,66 The loss functions for the structural components
were estimated according to the costs of repair measures required to restore the damaged components. The repair mea-
sures were determined based on the FEMAPACTTool,62 while their costs were obtained from a Slovenian cost database.65
For the non-structural components, most loss functions were obtained directly from the literature.4,7,66 The exceptions
were the stairs, the partition walls and the wooden attic of the school building. In the case of the stairs and partition walls,
the loss functions were defined analogously to those determined for the structural components, that is by considering the
repair measures as described in62 and the costs provided in.65 However, for the wooden attic, due to a lack of data, the
normalised costs were determined based on the repair costs for timber structures provided in HAZUS.5
The construction costs of a new office building (𝐿𝑛𝑒𝑤) were estimated by considering the mean construction costs per

net floor area for mid-priced office and residential buildings in Slovenia (1100€ per m266). By considering the net floor
area of the office building (389.4 m2), the corresponding 𝐿𝑛𝑒𝑤 was estimated at approximately 429,000€. For the school
building, the construction cost was estimated at 1400€ per m2 net floor area.66 However, for the attic, the construction
costs were reduced to 905€ per m2 net floor area, which is a typical value for gyms located on the top storey.66 The 𝐿𝑛𝑒𝑤
for the school building, with a total net floor area of 2827 m2, was thus estimated to be 3,582,000€.
The results of the loss analysis (Figures 11 and 12) are presented in terms of the losses conditional to the IM level.

The losses presented in Figure 11 show the individual contributions of the structural, non-structural drift-sensitive and
non-structural acceleration-sensitive components to the losses for non-collapse cases (Equation (10)). Therefore, they are
presented only to the point of the building’s collapse. It can be observed that the non-structural drift-sensitive components
contributed most to the non-collapse losses of both buildings. It can also be observed that the differences between the
results estimated using the IFB3 model and those estimated using the conventional MDOF model were negligible for the
office building. On the other hand, some differences exist in the case of the school building. Namely, the IFB3 model
slightly underestimated the losses in the structural elements at lower intensity levels, which was found to be related to
the underestimation of damage in the beams. However, at higher intensity levels, the IFB3 model slightly overestimated
the losses due to a sudden progression of damage compared to the conventional MDOFmodel, which was a consequence
of the difference between the numbers of elements considered in the two models.
The losses presented in Figure 12 also considered the potential collapse of the building and the adjustments related to

the restoration strategy. These were calculated as the average of the expected losses determined using Equation (11). In this
case, too, the agreement between the losses obtained with both structural models was better for the office building. How-
ever, even for the school building, the results were not significantly different. The largest discrepancies can be observed
in the median curve for intensities around 0.4 g. These discrepancies are a direct consequence of the differences in the
collapse intensities, which were most pronounced in the range of collapse probabilities around 0.50 (see Figure 8). On
the other hand, the matching is better for the 16th and 84th percentile as well as for the mean, which directly affects the
expected annual loss (Section 4.5).
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F IGURE 11 The losses for the non-collapse cases as a function of the IM level for the office and school buildings estimated with the
IFB3 model and the conventional MDOFmodel: (A) The contribution of the structural components, (B) the contribution of the non-structural
drift-sensitive components and (C) the contribution of the non-structural acceleration-sensitive components

F IGURE 1 2 The total losses as a function of the IM level for each considered ground motion, determined as per Equation (11), and the
corresponding mean, median, 16th percentile and 84th percentile. The losses are presented for the office and school buildings and were
estimated with the IFB3 model and the conventional MDOF model

4.5 Estimation of risk-based performance measures

Based on the hazard and loss analysis, risk-based performance measures introduced in Section 3.5 were estimated. The
mean annual frequency of collapse 𝜆(𝐶) for the office building was estimated at 2.59 ⋅ 10–5 and 2.61 ⋅ 10–5, respectively,
for the analysis utilizing the IFB3 model and the conventional MDOF model. For the school building, which was not
designed for earthquake resistance according to the modern codes, 𝜆(𝐶) was significantly higher. It was estimated at
6.39 ⋅ 10–4 and 5.26 ⋅ 10–4 when employing the IFB3 model and the conventional MDOF model, respectively. Therefore,
the IFB3 model overestimated the frequency of collapse of the office building and the school building by 1% and 21%,
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F IGURE 13 The probability of exceeding given loss based on the IFB3 and MDOF model for the office and school building

respectively, compared to the conventional MDOF model. These differences are not large, even for the school building,
considering that the acceptable collapse risk for different reliability classes varies by a factor of about 10.67
The IFB3model also provided a very similar estimation of the expected annual loss (𝐸𝐴𝐿) compared to the conventional

MDOF model. For the office building, 𝐸𝐴𝐿 based on the IFB3 and conventional MDOF model amounted, respectively,
to 331€ and 343€, which is about 0.08 % of the cost of a new building 𝐿𝑛𝑒𝑤. For the school building, 𝐸𝐴𝐿 was estimated
at 7565€ (0.21 % 𝐿𝑛𝑒𝑤) when using the IFB3 model, while a slightly lower 𝐸𝐴𝐿 was estimated based on the conventional
MDOF model (7308€, about 0.20 % 𝐿𝑛𝑒𝑤). Therefore, the difference in 𝐸𝐴𝐿 estimated with the two structural models was
3–4 % for both analysed buildings.
Lastly, the IFB3model and the conventionalMDOFmodel also provided comparable results in terms of themean annual

frequency of the exceedance of a specified loss value, 𝜆(𝐿 > 𝑙) (Figure 13). It is interesting to note that the plateau of 𝜆(𝐿 > 𝑙)

that appears in Figure 13 (left) for the office building is a consequence of the assumption that the stakeholders will most
likely decide to replace the building if the total losses exceed 40% of 𝐿𝑛𝑒𝑤. The mean annual frequency of such an event
(i.e. the ordinate of the plateau) was estimated at 1.0 ⋅ 10–4, regardless of the structural model. Therefore, the replacement
of the office building due to excessive damage is about four times more likely than its immediate collapse. However, in the
case of the school building, the building’s collapse took place before the losses exceeded the threshold for economically
justified renovation for most considered ground motions. Therefore, the plateau of 𝜆(𝐿 > 𝑙) in this case reflects the effect
of the building’s collapse and its ordinate is practically the same as the mean annual frequency of collapse.

5 CONCLUSION

The direct seismic loss estimation of predominantly plan-symmetrical frame buildings was investigated using a three-
dimensional improved fish-bone model (i.e. the IFB3 model). For the analysed contemporary and older frame building,
it was shown that the IFB3 model is capable of simulating EDPs and losses with similar accuracy to the conventional
MDOF model. The difference in the expected annual loss estimated with the IFB3 model and the conventional MDOF
model was only 3−4 % for both analysed buildings. The IFB3 model proved to be computationally efficient even though
the loss estimation was based on the nonlinear response history analysis. The computational efficiency was reflected
primarily in the case of the relatively complex school building. In this case, the computational time for the direct seismic
loss estimation was reduced by a factor of 580.
Although it was demonstrated that the IFB3 model is computationally efficient and numerically robust and can pro-

vide loss estimates based on nonlinear response history analyses with sufficient accuracy, it has several limitations. New
examples may help better understand the capabilities and limits of the presented IFB3model in relation to different frame
building typologies and loss estimation methodologies. They can also help further investigate if small differences in the
EDPs always imply small differences in the estimated losses.Moreover, it had already been determined that fish-bonemod-
els are unsuitable for seismic analysis of frame buildings with a large height-to-length ratio. This limitation also applies to
the IFB3 model. Furthermore, the IFB3 model cannot directly simulate the damage in individual structural components,
as they are condensed at the storey level into IFB3 elements. The latter limitation may impact loss estimation in the case
of plan-asymmetrical buildings. Additional research is thus needed to develop simplified models capable of simulating
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seismic response and losses in more complex structural systems. Such models will become attractive for the loss estima-
tion of building portfolios, which is the ultimate goal of developing simplified structural models, where time efficiency
and computational robustness are of significant importance.
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